Abstract Modern seismic codes recommend the design of ductile structures able to absorb seismic energy through high plastic deformation. Since seismic ductile design relies on an accurate control of plastic hinges formation, which mainly depends on the distribution of plastic resistances of structural elements, efficiency of the design method strongly depends on the actual mechanical properties of materials. The objective of the present contribution is therefore to assess the impact of material variability on the performance of capacity-designed steel-concrete composite moment resisting frames.
General context and objectives
Modern seismic codes, such as Eurocode 8 or FEMA 350, recommend designing ductile structures in such way seismic energy is absorbed through large plastic deformation of predefined zones.
In the current European standards, the possibility to exploit plastic resources is translated in lowered values of design seismic actions by the use of the so-called behavior factor q. In order to optimize the energy dissipation, structural plastic deformation under earthquake action must occur in such a way to involve a large number of structural elements. The localization of plastic hinges in pre-defined zones (i.e. "critical regions") along with the objective to develop efficient global energy dissipation mechanisms are obtained through a proper design methodology called "capacity design" and an appropriate definition of structural detailing. The global dissipative mechanism should develop without significant loss of the overall transverse stiffness of the structure and the plastic hinges should be able to keep their strength even for large lateral displacements. The capacity design consists in the definition of a hierarchy in the resistance of structural elements, providing some zones with sufficient overstrength with respect to those expected to plastically deform, ensuring that the formers remain in elastic range during the seismic event.
Since seismic ductile design relies on an accurate control of the plastic zones that mainly depends on the distribution of plastic resistances of structural elements, it is clear that the efficiency of the design method strongly depends on the actual mechanical properties of material.
On the other hand, even if lower limits of yield strength are defined in European production standards, no limitation on the upper limit is given CEN. EN 10025-1-6. It is also well known that, at least for low steel grades (S235, S275), measured yield strength exhibits a significant scattering and the actual resistance is often much higher than their nominal value. In Eurocode 8, this uncertainty is covered by the so-called material overstrength factor γ ov . It can be assumed that this factor is correlated with the material overstrength (i.e. the ratio between the upper characteristic value and the nominal value of the yield strength). The current version of Eurocode 8, suggests to use a single value of γ ov although material overstrength is known to vary with the nominal yield strength. This may lead to a variable safety level according to the steel grade and the structural configuration.
In this context, the objective of the present contribution is to assess the actual impact of material variability on the performance of capacity-designed steel-concrete composite moment resisting frames. The studies have been carried out in the frame of the RFCS European research project OPUS (Braconi et al. 2011) .
Methodology and input data

Methodology
The global methodology adopted for the present study involves a three-step procedure. Each of these three steps is presented in Sects. 3, 4 and 5, respectively. The methodology can be summarized as follows:
• Design of four composite steel-concrete structures according to the prescriptions of Eurocodes 3 (NF, EN 1993 -1-1 2005 , 4 (EN 1994 (EN -1-1 2004 and 8 (EN 1998 (EN -1 2005 . The structures have the same typology (5 stories and 3 bays) the differences being the column-type (steel or composite), the steel grade, the concrete class and the seismicity level (design Peak Ground Acceleration PGA); • Assessment of the structures designed in the previous step assuming that materials are characterized by the nominal values of their mechanical properties. This assessment is carried out using incremental nonlinear dynamic analysis (INLDA); • Analysis of the impact of material variability on the structural behaviour. Several sets of material properties are generated according to Monte-Carlo simulations based on the statistical data obtained from steel production sites. INLDA is then performed for each material dataset. The last step provides the input data for further statistical and probabilistic analyses. Conclusions are drawn in terms of fragility curves, probability of failure, and overstrength coefficients.
Whilst the EU research project OPUS investigated a wide array of structural typologies, the present contribution focuses on the composite moment resisting frames that were analyzed by the authors. It is worth pointing out that the conclusions of the present study have been found to hold for all other typologies considered within the project.
Input data
In order to have statistical mechanical data that reflects the actual European steel production, RIVA and ARCELORMITTAL have collected the mechanical properties of structural steel profiles produced in their plants considering various cross sectional geometries and steel manufacturing processes (Braconi et al. 2011) .
The statistical characteristics of these data sets have been used by RIVA to define a probabilistic model. Two different situations were identified, i.e. plate thicknesses under 16 mm, and plate thicknesses between 16 and 40 mm. An inter-correlated multi log-normal distribution has been assumed for the yield stress f y , the ultimate stress f u , and the ultimate elongation A. Sample sets of mechanical properties have then been generated based on the theoretical statistical model whose parameters have been properly calibrated. All the corresponding input data and generated sample properties are detailed in the final report of the OPUS research program (Braconi et al. 2011) .
The mechanical steel properties are defined by three values: the yielding stress f y , the ultimate stress f u and the ultimate deformation A. A simplified bilinear constitutive relationship is adopted, as shown in Fig. 1 .
Mean values, standard deviations and overstrength factors deduced from statistical analysis of the mechanical properties of steel profiles and rebars obtained from the design of each structure (see Sect. 3) are presented in Table 1 .
These values give a first estimate of the overstrength γ ov . Following EN1998-1-1 (2005), if the statistical distribution of the yielding stress is known, the overstrength factor is computed according to Eq. (1):
(1) 1  2  3  4  1  2  3  4  1  2  3  4   Structural  steel grade   S355 S355 S 235 S235 S355 S355 S235 S235 S355 S355 S235 S235   Beams   Profile  IPE  IPE  IPE  IPE  IPE  IPE  IPE  IPE  IPE  IPE  IPE  IPE   330  330  360  360  330  330  360  360  330  330  360 Table 1 . Some overstrength factors obtained from mechanical characteristics appear quite high. For steel reinforcement, γ ov values are in line with those given by Eurocode 8. For S355, γ ov value is slightly larger, while for S235 steel grade the value appears to be very large.
It must be noted that the actual overstrength factor of S235 is nearly equal to the ratio 355/235 = 1.51. The Eurocode 8 proposes to fulfill the strong column-weak beam principle by adopting higher steel grade for columns. In view of the results, this recommendation may look questionable. Nevertheless, the lower 5 % fractile of S355 steel is shifted from 355 to 380 MPa, and the hierarchy of the resistances is preserved.
Case studies: design conditions
Structure description
Whilst the research project OPUS investigated a wide array of structural typologies, the present contribution focuses on composite steel concrete frames with either steel columns or composite columns and subjected to low as well as high seismic actions. Accordingly four possible combinations are studied (see Table 2 ): composite frames with steel columns EN 1991 EN values (2003 . The live load acting on the building is chosen for a use category "office" and the other variable actions are reported in Table 3 . Buildings are supposed to lie on a soil of type B. The importance factor γ I is set equal to 1. The reference peak ground acceleration (a g R ) is chosen equal to 0.25 g for high seismicity and 0.1 g for low seismicity. The values of the parameters describing the recommended type 1 elastic response spectrum are reported in Table 4 . The corresponding elastic response spectra are represented in Fig. 4 . Combinations for service limit state (SLS) and ultimate limit state (ULS) are summarized in Table 5 . Figure 5 shows the distribution of wind and gravitational loads acting on frames for both persistent and transient design situations. The corresponding static loads are given in Table 6 . The structural analysis under seismic actions has been performed with the equivalent static lateral load method. The main seismic characteristics of the building are summarized in Table 7 . The design is first performed with an initial estimate of the period given by the formula proposed in EN 1998-1:
(2) with C t = 0.085 and the building height, H = 17.5 m. It is well known that this approach provides very approximate results and underestimates, in most cases, the actual period. Therefore it is conservative in terms of equivalent horizontal forces. Moreover, the coefficients are proposed for pure steel frames, while the frames considered in the present study are actually composite. The real period of the designed structure is therefore calculated and an iterative procedure is used to finally get a set of period and horizontal forces consistent with the final design. Table 7 evidences the fairly high level of conservatism of the Eurocode formula for estimating the period. Table 7 also provides the values of the second-order sensitivity coefficient θ , showing that although the structure is rather flexible, second-order effects remain limited. Indeed according to Eurocode 8, these latter can be neglected if θ is lower than 0.1. A medium ductility class (DCM in EC8) has been chosen leading to a behavior factor q equal to 4. As a consequence, all beams must be at least in class 2. Figure 5 shows the distribution of seismic design loads acting on the composite frames. The seismic forces E i are given in Table 8 for all case studies, the remaining design loads being the same as those given in Table 6 . Axial force and bending moment diagrams for the most critical load combination at ULS are drawn in Fig. 6 for case study number 1, only. Table 9 provides the maximum bending moments and axial forces obtained from the structural analysis. As can be seen, the maximum bending moments for buildings in high and low seismicity are fairly close. This is due to the predominant effect of wind action which governs the design. Since the seismic capacity design does not take into account the origin of the forces when defining the overstrength needed for non dissipative elements, this means that all cases will be designed to resist the same level of horizontal action (due to the wind) by plastic dissipation, and this will lead to a significant overdesign for low seismicity cases.
Summary of the design
Cross-section design
Design is carried out with EN 1993, EN 1994 and EN 1998 rules. Lateral torsional buckling is supposed to be prevented for beams as well as for columns, in order to ensure a stable behavior of the members during the development of the plastic hinges. Columns are designed with the increased actions in order to respect the strong column-weak beam principle. Resulting cross sections are represented in Fig. 7 . The maximum ratio of design bending moment to bending moment resistance obtained for cross-sectional checks of beams and columns are given in Table 10 . 
Global and local ductility condition
In order to ensure that the collapse of the structure will occur according to a global mechanism, EN 1998-1 imposes to fulfill the "strong column-weak beam" condition at every node of the structure. This condition is expressed as:
where c is the sum of design values of the resisting bending moments of the columns and b is that of the beams at the considered node. The coefficient α M is equal to:
-1 for steel columns, -0.9 for composite columns made of steel grades ranging between S235 and S355 inclusive.
As shown in Table 11 , this condition is fulfilled at the limit for case studies in high seismicity, while a large safety margin is observed for cases in low seismicity.
Preliminary assessment of the case studies
A preliminary assessment of the seismic behavior of the composite frames is performed using geometrically and materially non linear incremental dynamic analyses with nominal values of the material properties. As suggested in EN 1998-1, seven different earthquake time-histories are adopted and the average values of the structural response obtained with these seven timehistories are considered as the representative ones. To this purpose, and according to EN1998-1 prescriptions, records of natural earthquakes or artificially generated time histories can be used. To obtain results consistent with the design seismic actions, artificial accelerograms generated from elastic response spectra through the software SIMQKE have been used. Non linear incremental dynamic analyses (INLDA) have been made using the finite element code FINELG (De Ville 2003).
General description of the software FINELG
FINELG is a general non linear finite element program which has been first written by Frey (1977) . Major contributions have been made by de Ville (1989) who developed efficient schemes for 2D and 3D steel beams. The concrete orientation of the beam elements and the time resolution algorithm have been developed by Boeraeve (1991 deformations. All beam elements are developed using a total co-rotational description. For convenience, a short description of the beam is now given. We consider a 2D Bernoulli fibre beam element with 3 nodes and 7 degrees of freedom. The total number of DOF corresponds to two rotational DOF at end nodes and 5 translational DOF (see Fig. 8 ). The intermediate longitudinal DOF is necessary to allow to represent strong variations of the centroïd position when the behaviour of the cross-section is not symmetric. Such behaviour is observed for example in concrete sections as soon as cracking occurs.
As usual for fibre element, internal forces at the element nodes are computed on the basis of a longitudinal and transversal integration scheme. The integration along the beam length is performed using 2, 3 or 4 integration points (see Fig. 9a ). For each longitudinal integration point LIP i , a transversal integration is performed using the trapezoidal scheme. The section is divided into layers (see Fig. 9b ) each of which being assumed in uni-axial stress state. The state of strain and stress is computed at each integration point TIP j .
The software can be used for both static and dynamic non linear analyses. FINELG has been extensively validated for static non linear analyses. Development and validation of non linear dynamic analysis has been realized in the context of the joint research program DYNAMIX between University of Liège and de Ville et al. (2002) . Dynamic computations have been re-assessed at the beginning of the OPUS project (Braconi et al. 2011 ).
INLDA analysis and definition of the structural capacity
A first assessment of the seismic behavior of each frame is performed by carrying out incremental non linear dynamic analyses considering nominal values of the material properties. It was observed that all buildings exhibit a similar seismic behavior. Indeed, for these highly redundant moment resisting frames, the only active failure criterion is the rotation capacity of the plastic hinges. No global instability, no local instability nor storey mechanism was observed, even for seismic action levels equal to 3 times the design level.
In the OPUS project, rotation demand and capacity were computed according to FEMA356 recommendations (Federal Emergency Management Agency 2002) . The rotation demand is defined in Fig. 10 for both beams and columns. The rotation capacity is estimated to be equal to 27 mrad for steel columns.
However, since no indication is given in FEMA 356 regarding composite beam capacities, a detailed study (Nofal 2011) has been undertaken to better estimate the rotation capacity of composite beams. This study relies on the plastic collapse mechanism model developed by Gioncu and Mazzolani (2002) . Figure 10 shows that the sagging zone is large with a significant part of it having a quasi-constant moment distribution near the joint. As a consequence, the plastic strains are low in steel as well as in concrete, and no crushing of the concrete is observed. On the contrary, the hogging zone is shorter but with high moment gradient. This results in a concentration of plastic deformations and in a more limited rotation capacity. The ductility demand in plastic hinges is computed according to the actual position of contra-flexure point. Rotations of plastic hinges (θ b1 and θ b2 ) in beams are calculated as follows,
where v 1 , v 2 and v 3 are defined in Figure 10 . The resisting moment rotation curve in the hogging zone is determined by using an equivalent standard beam (see Fig. 11a ) as commonly suggested in many references (Spangemacher and Sedlacek 1992; Gioncu and Petcu 1997a,b) .
A simply supported beam is subjected to a concentrated load at mid span. The postbuckling behavior is determined based on plastic collapse mechanisms (see Fig. 11 ). Two different plastic mechanisms are considered (in-plane and out-of-plane buckling, see Fig. 11c and d respectively). The behavior is finally governed by the less dissipative mechanism (see Fig. 11b ).
Elastic and hardening branches of the M-θ curve have been determined using a multifiber beam model. When the hardening branch intersects the M-θ curve representative of the most critical buckling mechanism (softening branch), the global behavior switches from the hardening branch to the corresponding softening branch. The equation of the softening branches can be found in Gioncu and Mazzolani (2002) . The method has been implemented in MATLAB and validated against experimental results (Nofal 2011 ) and F.E. results.
For OPUS buildings, it has been found from the analysis of the results that the length of the hogging zone was approximately equal to 2 m. As a consequence, an equivalent simply supported beam with L = 4 m is considered. The resulting M-θ curves are depicted for the composite beams of cases 1 and 2 in Fig. 12a, b .
The moment-rotation curve obtained from the model of Gioncu describes the static behavior. According to Gioncu, when a plastic hinge is subjected to a cyclic loading, its behavior remains stable as long as no buckling appears. When buckling is initiated, damage accumulates from cycle to cycle. M-θ curves of the composite beam of OPUS exhibit a steep softening branch that does not allow for a long stable behavior. Consequently, in the following developments, the rotation θ max corresponding to the maximum moment is considered as the maximum rotation capacity under cyclic loading.
The ultimate rotation θ max , the theoretical plastic rotation θ p , and the ratio θ max /θ p are reported on Table 12 . Since the ratio θ max /θ p is larger for case studies 3 and 4, the relative ductility is larger, and this leads, as it will be shown in the following, to a better seismic behavior of these buildings even if they were designed for the low seismicity. While this seems to be a paradox, it is nevertheless logical. The rotation capacity is defined by the local buckling limit. Lower steel grade used for low seismicity cases is favorable for this phenomenon, as it reduces the maximum stresses attained in the steel. The evolution of the maximum rotation demand of the hinges in the hogging zones of the beams and at the bottom of the columns for increasing seismic acceleration a g R is represented in Fig. 13 for all case studies. The failure level fixed by the beam rotation criterion is considerably lower than the one fixed by the column ultimate rotation. As a consequence, the statistical analysis will focus on the ductility criterion of the beams in the hogging zone.
Evaluation of the q factor
From the results of INLDA, the accuracy of the behavior factor values proposed by EN 1998-1 can be evaluated. In the current context, the behavior factor q can be defined as the ratio of the seismic action level leading to collapse to the seismic action level considered for an elastic design:
whereθ is the mean rotation. At each hinge location, the average rotationθ is computed considering 7 accelerograms. λ θ=θ u refers to the multiplier of the seismic action corresponding to the attainment of the ultimate rotation at one node of the structure. λ e,static is the multiplier of the equivalent static seismic forces leading to the first attainment of the plastic moment in the structure in an elastic geometrically non linear pushover analysis. This classical definition of the q-factor is compared to an expression that was proposed by Hoffmeister for the OPUS project (Braconi et al. 2011) :
where a s,art is the acceleration of the spectrum of the accelerogram that corresponds to the fundamental period of the structure, and a sd the acceleration of the elastic spectrum for the This alternative definition of the q-factor aims at correcting the discrepancy between the design spectrum and the spectrum corresponding to the artificial accelerogram through the factor (a s,art /a sd ), see Fig. 14. Both estimations of the behavior factor are presented on Table 13 . The q-factors obtained by the Hoffmeister method are lower than the one obtained with the classical method. The overdesign of the buildings in low seismicity is set in evidence by the large q values. For buildings in high seismicity zones, the q factor is under 4 (value used for the design), but the intrinsic overdesign of the structures (i.e. the fact that the first plastic hinge appears for an acceleration level higher than the design level) alleviates this discrepancy.
Assessmentof the structural behaviour considering material variability
Introduction
The assessment of the structural behavior of buildings including material variability involves several non linear dynamic analyses of the structures considering different sets of material properties that have been generated by Monte-Carlo simulations based on the probabilistic model derived from the experimental data base(see Sect. 2.2). The procedure produces a huge number of numerical results that must be properly analyzed in order to quantify the structural safety of the designed composite frames. In the main frame of the OPUS research, the probabilistic post-treatment of the database was performed with the aim to quantify the seismic risk associated to selected collapse criteria. The risk was quantified in terms of annual exceeding probability. This was done in a very general way in order to give pertinent results for the various collapse possibilities of the 18 different structural typologies that were analyzed. The method was established on the basis of the general PEER approach proposed by Cornell et al. (2002) . Results of the overall assessment are available in the final report of OPUS (Braconi et al. 2011) .
In the present contribution, limits of the application of this general method to the studied composite frames are discussed, by comparing its results against the predictions of the simple SAC/FEMA method developed by Federal Emergency Management Agency (2000) and with the objective to put in evidence the relative effect of material and epistemic uncertainties.
Beside the assessment of probability of collapse based on excessive seismic demand on the dissipative elements, the effect of the material variability on the design of non dissipative elements is also investigated. To this purpose, results of the Monte-Carlo simulations are directly used to evaluate appropriate values of overstrength coefficient to be applied in the design of these non dissipative elements.
PEER general probabilistic procedure for analyzing INLDA outputs
The annual probability P PL of exceeding a certain limit state (i.e. collapse at an expected performance level) within a year can be calculated using the general probabilistic approach (Cornell and Krawinkler 2000) proposed by Pacific Earthquake Engineering Research centre (PEER).
For a single failure criterion considered, this method results in the following equation:
with
• P PL (EDP) the annual probability to exceed the limit state evaluated by EDP (Engineering Demand Parameter), which characterize the response in terms of deformations, accelerations, induced forces or other appropriate quantities; • H(IM) is the seismic hazard function. It gives the mean annual rate of exceedance of the intensity measure of the seismic action; • The IM (Intensity Measure) is obtained through conventional probabilistic seismic hazard analysis. The most commonly used IMs are PGA and spectral acceleration S e,PGA (T 0 ). It is specific to the location and design characteristics of the structure; • fr(IM) is the fragility curve. It describes the probability of exceeding the performance level for the EDP under consideration. It is given by the formula:
where
• DM is the the annual probability to exceed the damage measurement or, more appropriately, the description of structural damage associated to the selected EDPs; • G(EDP|DM) is the conditional probability of exceedance of the limit state evaluated by EDP, given the damage sustained by the structure (DM); • G(DM|IM) is the conditional probability that the Damage Measure exceeds the value DM, given the Intensity Measure.
The previous framework (8) for the assessment of structural analysis is here specified taking into account the variability of mechanical properties. In such a case, the fragility curve is given by the equation:
Where -the material variability (MV) is explicitly considered; -G(DM|MV,IM) is the conditional probability that the Damage Measure exceeds the value DM given that the Intensity Measure equals particular values, and the material properties a given set of values; -G(MV) is the probability that the material properties equal a given set of values.
Application of PEER procedure to OPUS buildings
For each case study, nonlinear incremental dynamic analyses have been performed adopting successively the seven artificially generated accelerograms. All selected collapse criteria were then analyzed for each considered PGA level. Each of these analyses was performed considering 500 sets of material properties generated by Monte-Carlo simulations, in order to get a probabilistic distribution of the exceedance of the governing collapse criteria for each acceleration level and each time-history. A realistic distribution of the material characteristics in the structure has been adopted. Different mechanical properties are considered for each beam Bi, while two different sets of mechanical properties are considered over the columns height, characteristics Cj, see Fig. 15 . A single data set is selected for all rebars, and variability of concrete material properties was not considered since it has been identified, in the preliminary assessment of Sect. 4, that collapse was in none of the cases controlled by the failure of the concrete material, and that the concrete stiffness had a limited effect on the global stiffness of the building. Accordingly, 3,500 numerical simulations were carried out for each case study (i.e. 7quakes × 500 material samples) for each considered PGA level, defining, for each collapse criterion, the damage measure (DM) for the relevant engineering demand parameter (EDP).
The output processing was executed, for each set of 500 nonlinear analyses (related to each single collapse criterion, a PGA level and accelerogram), standardizing the response using an auxiliary variable, Y i :
where, for the specified collapse criterion, DM i is the damage measure assumed by the EDP in the i-th analysis and DM u is its limit value corresponding to collapse. The new set of data was statistically analyzed evaluating the basic parameters (maximum, minimum, mean values and standard deviation) and executing the χ 2 test to check the hypothesis of Normal or Log-Normal distributions. If the χ 2 test was successful, a Normal or Log-Normal distribution was assumed. Alternatively the statistical cumulative density function was built, and completed with tails defined by suitable exponential functions (Braconi et al. 2010) . The probability of failure related to each set of 500 data (related to a single collapse criterion, a PGA level and accelerogram) was simply evaluated using its cumulative density function, being: For each collapse criterion and each PGA level, 7 values of collapse probability, and so 7 fragility curves, were obtained (one for each time-history). The average of those 7 fragility curves was considered as the fragility curve related to that specific collapse criterion. Fragility curve of each case study for a given collapse mode was finally integrated with European Seismic Hazard function, as described in Technical Commission 250/SC8 (2005), providing annual probability of failure for relevant collapse criteria for all case studies. Before applying this procedure, results of the statistical incremental non linear dynamic analysis (SINLDA) were analyzed qualitatively. The SINLDA confirmed the conclusions established based on the computations with nominal mechanical resistances. The only active failure criterion is the ductility of the plastic hinges. No storey mechanism, nor global or local instability was observed. For the buildings under consideration, the design method of EN 1998-1 covers properly these possible collapse phenomena through the estimation of non linear effects by the amplification factor of horizontal forces, and through the local and global ductility condition defined in Eq. (3).
As a consequence, the study focused on the effect of the variability of the mechanical properties on the local ductility demands and capacities. Again, as in the deterministic analysis, column rotations at the column bases appeared to be lower than in beams and largely below limits computed based on FEMA rules. The hogging zone in beams appeared to be the most critical. This was also observed with nominal properties. Indeed in the sagging zone of the beams, no crushing of the concrete, nor excessive deformation of the tension flange was observed. Therefore, fragility curves were drawn only for the rotation capacity in hogging zones. Figure 16 shows the fragility curve for case study 1 which has been constructed based on rotation demands and capacity computed from INLDA and Gioncu's model with account of the variability of mechanical characteristics. For each accelerogram, and for each multiplier, the probability of failure is computed and correspond to a point in the figure. Then the average failure probability is computed and represented by a dotted line. The fragility curve is then deduced from these average points, by adjusting a normal cumulative density function.
In the OPUS procedure described above, the final fragility curve corresponds to the mean of the seven fragility curves computed for the seven different time-histories. This procedure Fig. 17 Comparison of the mean fragility curve to the fragility curve based on the mean rotation demand allows to handle cases with failure defined by multiple criteria, but it mixes the uncertainty on the seismic action with the uncertainty on the material properties. In the particular case of composite moment resisting frames, since a single failure criterion was relevant, it has been considered more accurate to draw a fragility curve based on the mean of the structural response (i.e. the mean rotation) obtained with the seven accelerograms. This method is fully in line with the procedure used to define the seven accelerograms in order to get an average response spectrum fitting with the design spectrum. By doing so, the variability of the seismic action is no more included and the effect of the variability of the mechanical properties is clearly isolated. Adopting this method does not induce significant changes in the resulting fragility curve, as it can be seen from Fig. 17 for case study 1. It makes the behavior closer to the stepwise fragility curve of a deterministic system.
The mean annual probability of failure is then obtained from Eq. (22) adopting for the annual rate of exceedance of the reference peak ground acceleration H(a g R ) the expression proposed in EN 1998-1:
According to the recommendations of EN 1998-1 for European seismicity, the factor k has been taken equal to 3 and k 0 was selected in order to respect the basic performance requirement of Eurocode 8: the design seismic action should have a return period of 475 years. This results in a non-exceedance probability of 2.1 × 10 −3 in one year and fixes the value k 0 to 0.03097, considering a g R = 0.25 g.
Fragility curves for the 4 case studies are drawn on Fig. 18 , and failure probabilities are summarized in Table 14 . As a consequence of the over-resistance of buildings designed in low seismicity due to the predominance of the wind load and the improved rotation ductility of the S235 beams compared to the S355 beam it was observed that damage for low seismicity cases appears for ground accelerations that are larger than that for high seismicity cases. Accordingly, their failure probability over 1 year is very low, under 1. × 10 −5 .
For high seismicity cases, the probability of failure of the building P PL over one year is 1.1 × 10 −3 . This value is quite high, out of the threshold ranging between 10 −3 and 10 −4 for this type of commonly used structure accurately designed (Melchers 1987) . This is consistent with the low q factor values found in Sect. 4.3. However it must be underlined that the ULS failure criterion adopted is quite pessimistic, as it assumes that global structural failure is reached as soon as the local failure of the weakest plastic hinge occurs.
Comparison of the OPUS procedure to the SAC/FEMA method
In order to get further insight into these results, the fragility function and the probability of failure for case study 1 have been additionally determined using the SAC/FEMA method developed by Cornell et al. (2002) . A single case study is presented here, as the behavior of the 4 building does not present remarkable differences. The SAC/FEMA framework, although being a simplified probabilistic assessment procedure, allows taking into account the epistemic uncertainties both on the demand and the capacity that were not considered in the method used in the OPUS research. In SAC/FEMA method the fragility function is expressed as:
with D being the demand and C the capacity related to the identified collapse criterion of the structure. For the case studies under consideration, D is the mean maximum rotation at beam end resulting from the dynamic analysis and C is the rotation capacity deduced from the model of Gioncu.
In the SAC/FEMA method, both demand and capacity are supposed to be log-normally distributed with median demandD and median capacityĈ as well as demand and capacity standard deviations β D and β C , respectively. The method takes also into account the epistemic uncertainties on the demand and the capacity through lognormal distributions with median equal to 1 and standard deviations equal to β DU and β CU . Under these simplifying assumptions, the fragility function can be analytically expressed as:
The statistical characteristics of the demandD and β D are deduced from the SINLDA, based on the mean response of the 7 different accelerograms. As already stated, the rotation demand appears to be log-normally distributed. As it will be shown later, the distribution of the rotation capacity can also be accurately approximated by a lognormal distribution which justifies the applicability of the SAC/FEMA method.
The contour plots of the rotation capacity θ max are drawn as a function of f y,profile and f y,rebar (see Fig. 19a ). As can be seen, the contour levels are nearly linear. It is therefore considered that the relationship between θ max and f y,profile , f y,rebar is linear [Eq. (16) 
The above equation has been obtained using a linear regression; the difference between the linear regression and the values obtained by the direct computation is less than 1 %. The statistical distributions of the resistances of the steel products established in OPUS are lognormal. It is possible thus to derive the distribution of θ max from these distributions using Eq. (16).
Taken into account the low variability of θ max with respect to f y,rebar , a constant value of f y,rebar equal to the mean value is adopted. Consequently, the probabilistic distribution of θ max becomes a shifted log-normal distribution which depends only on f y,profile .
Inspired by the work of Fenton (1960) , the distribution of θ max can then be accurately approximated by a log-normal distribution, with a mean and standard deviation of the distribution of ln(θ max ), μ z and σ z , expressed in Eqs. (17) and (18): 
Where: 
The validity of this assumption is assessed by comparing its predictions against Monte Carlo calculations of θ max . The χ 2 test was positive and the above assumption has been confirmed. Moreover the error on the 5 % fractile is less than 1 %. It seems therefore that the statistical distribution of the rotation capacity predicted by the Gioncu model is indeed a log-normal distribution with parameters μ z and σ z . For beams of the case study 1, the median rotation capacity was found equal to 30.5 mrad, with a standard deviation βC = 0.037. The epistemic standard deviation of the demand is chosen following the recommendations of the FEMA 350. The standard deviation of the epistemic uncertainty on the mechanical model was determined according to the differences observed between the Gioncu model and the experiments. All standard deviations are summarized in Table 15 .
SAC/FEMA fragility functions are drawn in Fig. 20 , considering successively a deterministic computation (with all standard deviations taken equal to 0), then with only the material uncertainties, only the epistemic uncertainties, and finally both uncertainties. The fragility curve obtained with the OPUS approach using as demand the mean maximal rotation over the 7 accelerograms is also drawn. It coincides with the SAC/FEMA fragility curve considering only material uncertainties. This shows that the assumptions of the SAC/FEMA method are fulfilled. Both demand and capacity can indeed be considered as log-normal.
The fragility curve related to material uncertainties only is close to the one obtained with a deterministic approach whereas the fragility curve with all uncertainties coincide with the one considering only epistemic uncertainties. These two observations highlight the weak impact of the material uncertainties compared to the epistemic ones. This influence can be quantified by integrating the fragility curve with the seismic hazard H(a g R ) according to Eq. (8) . This operation has been performed using numerical integration rather than using the simplified assumptions of the SAC/FEMA method. The mean annual probability of failure P PL computed by both methods are summarized in Table 16 . From the failure probability, the return period of failure has been computed according to (21):
Using the SAC/FEMA procedure, it appears that the failure probability considering only material uncertainties is nearly equal to the failure probability of the deterministic variant. The failure probability is increased by 50 % when adding the epistemic uncertainties, leading to a mean estimation of the failure probability of 1.5 × 10 −3 .
While the fragility curves obtained with the SAC/FEMA method considering only material uncertainties and with the OPUS method considering the mean maximal rotation coincide, the estimation of the failure probability differ by 5 %. Indeed the integration of the fragility curve to get the seismic risk is performed in a different way in both methods. For SAC/FEMA method, the median response is interpolated linearly between peak ground levels considered in the non linear dynamic analysis and ten intermediate points are defined before performing the numerical integration of Eq. (8). Regarding the OPUS method, the fragility curve is first approximated by a normal cumulative density function. This normal function is then used to compute the fragility curve and the seismic risk H for 180 different peak ground levels covering the whole range of interest. Next, the numerical integration of Eq. (8) is carried out using these 180 points.
As a conclusion, the material variability has little influence on the fragility curves of the structure, compared to the effect of the epistemic uncertainties and of the variability of the seismic action. This is consistent with conclusions found for other structures that were considered within the OPUS project (Braconi et al. 2011; Badalassi et al. 2011a,b) . Furthermore, the results are also consistent with the observations made by other authors for reinforced concrete structures (Jeong and Elnashai 2007; Kwon and Elnashai 2006) . The effect of the dispersion of the distribution of the material properties is very limited, and some authors even neglect it compared to the variability of the seismic action (Jeong and Elnashai 2007; Kwon and Elnashai 2006) .
Direct evaluation of the effective overstrength factors
According to capacity design principles, non dissipative elements located next to dissipative zones must be designed so that no failure occurs during plastic deformation of the ductile components. They must be able to resist an action effect defined by the general equation:
where R d,G is the action effect due to the non seismic loads included in the load combination for the seismic design situation, R d,E the action effect due to the seismic loads, is the overstrength of the dissipative element and γ ov the overstrength factor covering the effect of material variability. In the OPUS research, the collapse probability of protected members was estimated and compared against values of collapse probabilities of dissipative members. In this approach, obtaining lower collapse probabilities for non dissipative members with respect to dissipative members corresponds to a satisfactory situation.
In this contribution, an alternative approach is followed. It consists in evaluating the overstrength factor required to avoid any failure of non dissipative members. Indeed the seismic loads and the structural response to these loads are characterized in an approximate manner with purely computational approaches. This results in a fairly large epistemic uncertainty when analyzing the seismic collapse probability. Therefore it is preferred here to stick strictly to the philosophy of the capacity design principles at local level, in order to reduce the effect of these uncertainties. In this approach, the only assumption made on the connection is that it should be designed to be rigid in such a way to be consistent with the modeling assumption of the structural model.
From the dynamic analysis performed for each of the 500 data sets of material properties, it is possible to estimate the maximum forces acting on the non dissipative element. Knowing also the design action effects under non seismic (R d,G ) and seismic (R d,E ) loading, it is then possible to obtain the statistical distribution of the overstrength factor from Eq. (23):
where R d,dyn,max is the maximum load acting on the protected element, obtained from the non linear dynamic analysis. From this statistical distribution, the required overstrength factor can be deduced and compared to the code recommendations. The study of the overstrength factor of non dissipative elements has focused on the beam-to-column joints. Equation (23) dissipative joints in EN1998. Indeed the design criterion imposed by EN 1998-1 for non dissipative composite joints is the same than for steel joints. They should fulfill the following equation:
where R d is the resistance of the connection in accordance with EN 1993, and R fy is the plastic resistance of the connected dissipative member based on the design yield stress of the material as defined in EN 1993. The expression of γ ov defined in Eq. (23) is then modified according to:
The effective overstrength factor needed is taken equal to the 95 % fractile of the distribution of γ ov . A direct Monte Carlo computation of the maximum beam moment in hogging and in sagging has been made using in hogging the Gioncu model in order to take into account interaction between the material hardening and the plastic buckling of the flange. 500 different data sets have been considered. Then the 95 % fractile has been determined and compared to R dmin . In order to assess the quality of the Monte Carlo evaluation of the 95 % fractile of the demands on the joint components, the evolution of the fractiles with increasing number of data sets is drawn in Fig. 21 . It appears clearly that the fractile estimation is stabilized with 500 different data sets.
Results are presented in Table 17 for the beams of the different case studies. The effective overstrength factor found for S355 is close to the value of 1.25 proposed by the EN 1998, while the value obtained for the S235 steel is larger. These values are not surprising as they are of the same order of magnitude than the overstrength factors γ ov,ac that have been presented, see Table 1 
Conclusions
This paper presented a study on the impact of the material variability on the seismic performances of steel-concrete composite moment resisting frames designed for low and high seismicity, carried out in the context of the European RFCS research project OPUS. Four different buildings were designed according to the principles of capacity design and considering the prescriptions of EN 1993 , EN 1994 and EN 1998 Next, the efficiency of the ductile design, without account of the material variability, has been assessed by incremental non linear dynamic analyses (INLDA). Behaviour factors q proposed by EN 1998 have been validated.
Finally, the accuracy of the capacity design rules of EN1998, with account of the material variability of the actual production of some steel plants in Europe, has been investigated using statistical incremental non linear dynamic analyses. Sets of material properties have been generated according to Monte Carlo simulations for each building and INLDA have been performed for each data set. From these computations, the fragility curves of the buildings have been constructed, and finally, the failure probabilities were estimated by integrating the fragility curve with the seismic hazard. A brief analysis of the local overstrength demands has also been made. This consequent work has led to interesting observations, some of them requiring further research.
First, concerning the global behavior of the structures, the accuracy of the capacity design rules appears to be satisfactory : -No storey mechanism, no local or global instability of the buildings, were observed, even for large peak ground accelerations. This observation is at first glance surprising when considering the large material overstrength that was observed for the S235 steel for example. But this overstrength corresponds to a distribution of the steel yielding stress with a mean far over 235 MPa, and with a little standard deviation. Therefore, even if dissipative members are more resistant than expected, there is no consequence since non dissipative members are also more resistant, and the statistical dispersion of the resistance around the mean value is small enough to be covered by the capacity design rules. -It was observed that the failure was governed by the rotation capacity of the plastic hinges for moment resisting frames. It has been shown that, in all cases, the material variability has little effect on the failure criteria, and consequently on the failure probability of the case studies under consideration. This conclusion is particularly true when comparing the effect of the material uncertainties versus the epistemic uncertainties. -The failure probabilities are quite high, larger than the limits commonly accepted in the literature. However it must be stressed that the use of artificial accelerograms leads to larger internal forces than with natural accelerograms, and that the failure criterion adopted, using local ductility criterion as global failure indicator, is quite pessimistic.
If the large overstrength, observed for some steel grades, was demonstrated to have no effect on the global failure of the building, the same conclusion could not be held when analyzing the local overstrength specifications for non dissipative members or joints. In general, values are largely underestimated for the lower steel grade S235. However, these first conclusions should be handled with care. Indeed, the value of γ ov has been determined considering only the effect of the material variability in dissipative members and not for non-dissipative zones. For instance, in a beam-to-column joint, all joint components made of structural steel and whom resistance is not governed by instability, possess the same mean over-resistance as the plastic hinge in the beam.
In order to take into consideration this overstrength of the non dissipative elements, one way could consist in splitting the overstrength coefficient in two coefficients: γ ov = γ ov,μ * γ ov,σ where γ ov,μ would take into account the mean overstrength of the steel, and γ ov,σ the material variability around the mean. Only γ ov,σ would be applied to components and members made of structural steel and not subjected to instability phenomena.
As a final conclusion, the authors believe that the pessimistic observations presented in this paper should be refined with further research in order to get more insight into the effect of uncertainties on the overall behavior of structures in seismic zones. Moreover parametric studies should be extended to buildings with different numbers of storeys, different heights of the ground floor, . . . Nevertheless, it seems quite clear that a new concept for overstrength is necessary in order to guarantee a safe and economic design of composite steel-concrete structures in seismic zones.
